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Abstract: The design of steel chevron-braced frames as per Eurocode 8 is based on the idea that only
the braces should buckle and yield during ground motions, while other members should remain
elastic. The elastic design of the braced frames is also allowed. However, in both cases, the seismic
performance of the frame may be compromised because of premature yielding/buckling of columns.
This paper proposes an alternative design procedure that promotes yielding of beams in addition
to yielding of braces. This mitigates the vertical unbalanced force transmitted by compressive
and tensile braces to the beam and in turn reduces the internal forces of the columns. The result
is the overall improvement of the seismic performance owing to the reduction of the number of
cases in which failure of the columns occurs before full exploitation of the ductility capacity of the
dissipative members. The proposed design procedure is validated by incremental dynamic analyses
performed on a set of chevron-braced frames. In particular, the peak ground accelerations of the
frames designed by the proposed procedure at the attainment of Significant Damage and Collapse
Prevention limit states are determined and compared to those of frames designed according to
Eurocode 8. Furthermore, frames designed according to the Eurocodes and to the proposed method
are compared in terms of structural cost.

Keywords: concentrically braced frames; design; seismic assessment

1. Introduction

Chevron-braced frames have been widely investigated by the scientific community.
Studies on these structures were intended either to (i) examine the cyclic response of the
brace; (ii) assess the dynamic response of braced structures designed according to seismic
codes; or (iii) propose alterative design procedures.

Regarding the first issue, experimental activities were carried on braces with a different
slenderness and cross-section shape [1-4] to evaluate their cyclic behaviour and axial
displacement capacity [5]. In this regard, the displacement capacity is expressed as a
function of the slenderness of the brace, cross-section aspect ratio and width-to-thickness
ratio. Conversely, the displacement demand to be compared to the displacement capacity
has been expressed as a function of either the cumulated tensile ductility demand of the
brace [6], the cumulated ductility demand in tension and compression [7] or the sum of the
maximum ductility demands in tension and compression [8]. A different approach was
followed in [9,10], where the displacement capacity is predicted considering the low-cycle
fatigue in the numerical model of the brace.

Regarding the second issue, some studies have been carried out to compare the
effectiveness of the design procedures included in the European, North American and
Canadian seismic codes in ensuring ductile collapse mechanisms [11,12]. Other studies
have been focused instead on the evaluation of the impact of design provisions on the
response of chevron-braced frames [13-15]. In particular, these studies pointed out the
need of ensuring an adequate flexural stiffness of the beam of the braced frame and that the
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out-of-plane buckling of columns often occurs when analysing the response of structures
designed according to the European seismic code [16].

Regarding the third issue, authors have proposed procedures for the design of chevron-
braced frames. However, the majority of these design procedures can be attributed to
three main approaches. In the following section, the leading ideas of the different design
approaches/methods are briefly described, mainly focusing on the design of braces, beams
and columns. Based on an analysis of features and the shortcomings of these approaches, a
new design method is formulated, proposed and investigated in the paper.

2. Seismic Design of Steel Chevron-Braced Frames in Literature
2.1. Conventional Approach with a Buckling-Brace/Yielding-Brace Plastic Mechanism

The most common approach for the design of chevron-braced frames assumes that
the inelastic response should be limited to the braces [16-19]. Based on this concept, braces
are designed to sustain the internal forces determined by the selected elastic method of
analysis, so as to provide an almost uniform distribution of overstrength along the height
of the building, whereas beams and columns are designed according to the capacity design
principle. Design procedures suggested in the literature or seismic codes, however, differ
because of the recommended behaviour factor, because of the definition of the lateral storey
strength provided by the braces and because of the rules for the application of design
capacity principles.

Eurocode 8 (EC8) [16] requires that the axial forces determined by the design method
of analysis in beams and columns be incremented by a scaling factor equal to 1.1 Yoy Omin.
This scaling factor takes into account the overstrength and the hardening of steel (1.1 yov)
and the minimum overstrength of the braces ((2yin). This latter overstrength is defined as
the minimum ratio of the buckling resistance to the axial force of braces among all storeys
of the building. In addition, the braced beam, i.e., the beam where the chevron braces meet,
has to sustain the bending moment produced by the unbalanced vertical force transmitted
at midspan by the braces when the brace in compression is in the post-buckling range of
behaviour and the brace in tension has yielded. Since beams and columns are designed
according to the capacity design, no specific requirement is provided to guarantee a ductile
behaviour of these members. Unfortunately, research studies [20,21] have proved that these
simplified rules for the application of capacity design principles reported in Eurocode 8 are
not effective in preventing the buckling of columns and yielding of the braced beams.

To estimate the axial forces in columns more accurately, Marino [22] proposed to
evaluate these internal forces by equilibrium conditions based on two different design
situations. In the first situation, axial forces in compressed braces are supposed to be
equal to the buckling resistance, while the braces in tension have not yielded yet; in the
second situation, braces in tension have yielded and are fully hardened, whereas braces in
compression are in the post-buckling range of behaviour.

According to Costanzo et al. [18], the braces of the top storey should be designed
to perform in the elastic range of behaviour. Owing to this, the top storey can act as
an outrigger system, giving the building a “shear type” displacement profile. Columns
are designed to resist the internal forces derived by two combinations of axial forces in
braces. In the first combination, the axial forces are calculated according to EC8. However,
differently from EC8, the minimum overstrength of the braces is calculated based on
the plastic resistance of braces rather than on the buckling resistance. In the second
combination, axial forces are calculated via equilibrium conditions, assuming that the
braces in tension have yielded and the braces in compression are in their post-buckling
range of behaviour. Moreover, in this latter combination, columns are assumed to be
subjected to a bending moment equal to 20% of the plastic flexural resistance of the cross
sections. Finally, to promote a more dissipative behaviour of braces, a beam stiffness
requirement is proposed, suggesting that the beam-to-brace stiffness ratio should be greater
than 0.2.
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Barbagallo et al. [19] showed that the lateral torsional buckling of columns was the
predominant failure mode of concentrically braced frames designed by the abovementioned
procedures because of the underestimation of the bending moment in columns. Based
on this, the authors proposed a new design procedure where an analytical equation was
introduced to predict the bending moments in columns. Further, a stiffness requirement
for beams and columns was formulated.

2.2. Approach with a Buckling-Brace/Yielding-Beam Plastic Mechanism

With the aim of reducing the structural costs of concentrically braced frames, some
researchers have proposed a design approach that allows yielding of beams [23,24]. Yield-
ing of the braced beams precludes yielding of the brace in tension and this shifts the
braced frame from a buckling-brace/yielding-brace plastic mechanism to a buckling-
brace/yielding-beam plastic mechanism. Two design situations are considered for the
design of the braced beams. In the first situation, both the brace in tension and the brace
in compression are subjected to a force equal to the buckling resistance. This situation
leads to the maximum axial force in beams. The beam is designed to sustain this axial
force, and this ensures that the braces in compression can buckle. In the second design
situation, the brace in compression is in the post-buckling range of behaviour, whereas
the axial force in the brace in tension is equal to the buckling resistance. In this situation,
the braced beams are subjected to combined effects of axial force and bending moments.
However, the considered bending moments are significantly lower than those arising from
the conventional approach illustrated in Section 2.1.

2.3. Non Dissipative Approach with All Members in Elastic Range of Behaviour

Even if EC8 stipulates a design procedure for the design of concentrically braced
frames and provides a maximum value of the behaviour factor to be adopted, the same
seismic code allows the design of chevron bracings assuming an almost elastic behaviour.
In such a case, a behaviour factor g as close as possible to 1.0 has to be used. In common
practice, a behaviour factor equal to 1.5 is adopted, so that only minor damage is expected
at the design level.

If such an approach is followed, the cross-section of braces can be selected without
any attention to the distribution of the overstrength along the height of the building.
Furthermore, beams and columns of the braced frames can be designed based on the
internal forces obtained by means of the selected elastic method of analysis; i.e., it is not
required to apply capacity design principles.

3. Proposed Design Approach

In this paper, a design procedure is proposed for chevron-braced frames located in
low-seismicity areas.

The procedure does not require the application of capacity design provisions. Con-
sistently, yielding of the braced beam due to the unbalanced vertical force caused by the
braces is accepted. This yielding is expected to have a beneficial effect on the behaviour of
the columns because it limits the axial forces transmitted to the columns of the braced bays.

Since the capacity design is not applied, a behaviour factor equal to 1.5 is considered.

3.1. Design of the Braces

Internal axial forces in braces are calculated as the sum of the axial forces due to
gravity loads in the seismic design situation (Ngq ) and the axial forces determined by the
elastic method of analysis assuming a behaviour factor equal to 1.5 (Ngq g)-

Based on the study by Costanzo et al. [18], the braces of the top storey are designed to
perform in the elastic range of behaviour (Equation (1)) whereas the cross-section area of
the braces of the other storeys is selected so that the buckling resistance is higher than the
design internal force (Equation (2)); i.e.,

NpRrdn = Ngd,Gn + 1.5 Ngqgn 1)
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where 7 is the number of storeys. Further, to avoid very slender braces, the normalized
slenderness should be lower than 2.0. Since a low ductility is considered, brace cross-
sections should be classified as Class 1 (highly ductile) or Class 2 (moderately ductile)
according to Eurocode 3 (EC3) [25], but no specific requirement is provided with regard to
the heightwise distribution of the brace overstrength.

3.2. Design of the Braced Beams

When the braces are in the elastic range of behaviour, the braced beam is subjected
to the axial force (Ngq) produced by the seismic loads and shear forces (Vg4 Gp) and the
bending moments (Mgq g p) produced by the gravity loads in the seismic design situation.

After buckling of the brace in compression, the braced beam is subjected to an un-
balanced vertical force. The proposed procedure admits yielding of the beam under the
bending moments produced by this force. Thus, a moderately ductile behaviour of this
member is required. For this reason,

e across section classified as Class 1 or Class 2 has to be selected;
e the axial force in beams has to be lower than 0.3 times the plastic axial resistance.

Further, flexible braced beams sustain large deflection under the unbalanced vertical
force transmitted by braces. In turn, this promotes the large inelastic deformation demand
of the brace in compression, which is a premise for the premature fracture of the brace. To
prevent this unfavourable yielding mechanism, the axial shortening 6}, of the braces caused
by the vertical displacement produced at midspan of the beam by the unbalanced vertical
force should be lower than a rate k of the axial displacement capacity of the brace (6):

6b < k 6u (3)

This study investigates different values for the coefficient k, namely, 0.2, 0.6, 1.0, 1.4
and 1.8.

Under the hypothesis of pinned beam-to-column connections, the axial shortening oy,
of the braces caused by the vertical displacement at midspan of the beam is calculated as

(1.1Np1,br - Nu,br) sin? o - L3
48 EoI,

8y = Yov 4
where N, and Ny p,, are the plastic and ultimate resistances of the brace, E; is the elastic
modulus of steel, I, is the moment of inertia of the beam, L is the length of the braced bay
and « is the slope of the brace to the horizontal axis. In the equation above, the plastic
resistance of the brace in tension is amplified by 1.1 to take into account the effect of
hardening.

Parameter 8, is calculated here as the elongation of the brace at yield oy times the
ductility capacity of the brace at fracture iy, evaluated according to Marino [22] as

Es
e =1+0f 2 ®)
f 2 fy
where 6; is the rotation of the plastic hinge at mid-length of the brace at fracture. This
capacity is calculated by the relation proposed by Tremblay [8] for HSS cross-sections
and depends on the slenderness A of the brace and on the cross-section shape by the
width-to-thickness (b /t) and depth-to-thickness (dy/t) ratios:

—0.1
0¢ = 0.091 bo do A03 (6)
tot
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3.3. Design of Columns

Columns of the braced frames are subjected to axial forces and bending moments.
Since an elastic design procedure is considered here, bending moments are neglected and
axial forces are evaluated as the sum of the axial contribution due to gravity loads and the
contribution due to seismic forces as determined by the design method of analysis. The
column cross-section and steel grade are chosen so that the buckling resistance (determined
assuming a column effective length factor equal to 1) is larger than the design internal force.

4. Case Study

The proposed design procedure has been applied to design a 4-storey and an 8-storey
residential building endowed with braces in the chevron configuration. The plan layout of
the buildings is shown in Figure 1. The length L of each bay is equal to 8.0 m, whereas the
interstorey height & is equal to 4.0 m. The buildings stand on stiff soil (soil A according
to EC8) and are located in a seismic area with a peak ground acceleration (ag) equal to
0.15 g. Based on the values of ag provided by the National Institute of Geophysics and
Volcanology (IGNV [26]), this value is larger than that expected for seismic events with a
probability of exceedance of 10% in 50 years in the 73.1% of the entire Italian territory.

S = | = | =
f| e
NENE RIS
S| iy = | = | = G-B
L e A
xi
braced bay

Figure 1. Layout of the considered structures.

The seismic loads are entirely resisted by the braced bays that are located in the central
span of the perimetric frames. Beams and columns denoted as G-B and G-C in Figure 1
are designed to sustain gravity loads only. Geometric and mass properties are assumed
to be equal at all storeys. The characteristic values of gravity dead (g) and live (gi) loads
are equal to 4.4 kN/m? and 2.0 kN/m?, respectively. Specifically, the dead load was
derived assuming that the weight of the collaborating steel sheet is equal to 1.91 kN/m?,
the weight of the suspended ceilings is equal to 0.40 kN/m?, the weight of screed is
equal to 0.84 kN/m?, the weight of the floor porcelain stoneware is equal to 0.44 kN/m?
and the weight of the internal partitions is equal to 0.8 kN/m?. The characteristic value
of the live load is that given in Eurocode 1 [27] for category of use type A (areas for
residential activities).

Gravity loads in the seismic design situation (gi + i) are equal to 5.0 kN/m?.
Internal forces are determined by means of a modal response spectrum analysis. To
optimize the design, an iterative procedure is adopted. HSS cross-sections with steel grade
S355 (characteristic value of yield stress fy equal to 355 MPa) are used for the braces and
wide flange cross-sections are used for the braced beams (HEA with steel grade 5235) and
columns (HEB, HEM with steel grade 5235, 5275 or 5355). IPE cross-sections are used for
the beams designed to sustain gravity loads.

The considered structures were designed according to the proposed design procedure
assuming a value of k = 6,/ in the range from 0.2 (stiff beam) to 1.8 (flexible beam),
in step of 0.4. The obtained structures are named k02, k06, k10, k14 and k18. For the
sake of comparison, the same structures also were designed according to the design
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procedure stipulated in EC8 in accordance with the conventional approach of the buckling-
brace/yielding-brace plastic mechanism (Q2.5 case study) or in accordance with the non-
dissipative approach with all members in the elastic range of behaviour. In this latter case,
a behaviour factor equal to 1.0 (Q1.0 case study) or to 1.5 (Q1.5 case study) was used.

To evaluate the impact of the value of k on the designed structures, the structural
costs of the braces, braced beams and braced columns were determined for the 4-storey
and 8-storey structures and plotted in Figure 2a,b, respectively. In the same figures, the
structural costs of the EC8 designed frames Q1.0, Q1.5 and Q2.5 are also reported. The
Sicilia region’s official price list [28] was taken as a reference to evaluate the unit prices. In
particular, in the case of H-shaped cross-sections, the unit price is equal to 3.53 €/kg for
steel grade 5235 or S275 and 3.73 €/kg for S355; in case of hollow cross-sections, the unit
price is equal to 6.43 €/kg for steel 5235 or 5275 and 6.74 € /kg for S355.

Cost Cost —
mk02 mBk06 Ok10 mkl4 mk02 EkO6 Okl0 mkl4
120,000€ Tmk1s =Q1.0 DQL5 BQ25 180,000 € |Wk18 =QL0 OQL5 BQ25
90,000 € +
120,000 €
60,000 €
30,000€ I IF'H 60,000 €
0€ —.ﬂ 0€

Braces

Beams Columns Total Braces Beams Columns Total

(a) (b)

Figure 2. Structural costs of members of the braced frames: (a) 4-storey structures; (b) 8-storey structures.

Regarding the structures designed according to the proposed criterion, the figure
shows that the smaller the value of k, the greater the structural costs of the braced beams.
However, for values of k larger than 1.0, the reduction in structural costs is low. Since the
elastic lateral stiffness of the braced frame (and consequently the period of vibration) is
only marginally affected by the flexural stiffness of the beams, the adopted value of k has
a negligible impact on the costs of the braces and columns, regardless of the considered
number of stories. Structures designed according to the conventional approach are the
most expensive. Indeed, despite the lower cost of the braces due to the adoption of a
higher value of the behaviour factor (g = 2.5), a significant increase in the structural costs of
the beams is produced by the application of capacity design principles. Structural costs
required for case Q1.0 are smaller than those required for case Q2.5 despite an increase
in the structural costs of the braces related to the higher seismic internal forces on these
members. Case Q1.5 is the least expensive and is characterised by structural costs slightly
lower (2%) than those of case k18.

5. Numerical Analyses

Nonlinear incremental dynamic analyses were performed using the OpenSees [29]
computer program. The method of numerical integration used to solve the equations of
motion was that proposed by Newmark. The values of gamma and beta were set equal to
0.50 and 0.25, which lead to the average acceleration method. To accelerate convergence, the
Krylov-Newton algorithm object, which uses a Krylov subspace accelerator, was used [30].

5.1. Seismic Input and Numerical Model

The seismic input consists of a set of ten accelerograms artificially generated by
the SIMQKE computer program. Each accelerogram was generated so that its response
spectrum matches the elastic spectrum given in EC8 for soil A, with an equivalent viscous
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damping ratio equal to 5%. Each ground motion had total duration of 30.5 s and was
enveloped by a three-branch compound function. The duration of the stationary part was
set equal to 7 s. More details about the accelerograms are given in [31]. The value of a4 of
the ground motions was increased in steps of 0.025 g.

The numerical model developed for each structure includes one braced frame and
the gravity columns of half of the structure. The braces were modelled by means of four
nonlinear force-based beam-column elements, according to the proposal of Uriz et al. [32].
The inelastic response of each element was monitored at three integration points. To
simulate the effects of imperfections, the initial camber was set equal to 0.1% times the
length of the brace and large displacements were accounted for through corotational theory.
The braced beams were simulated by two beams with hinge elements. The position and
weights of the integration points were defined according to the modified Gauss-Radau
plastic hinge integration method [33]. The length of the plastic hinge was set equal to the
depth of the beam cross-section. The brace cross-section and that of the beams within the
plastic hinge was discretized into fibres. Out of the uniaxial material models available in the
Opensees library, to replicate the stress—strain curve of the steel members, the one proposed
by Giuffre-Menegotto-Pinto (named as Steel02 in Opensees) was selected. Columns of
the braced frame were considered as fragile members and consequently were modelled as
elastic members.

The Rayleigh formulation was used to introduce damping. According to this formula-
tion, the damping matrix was obtained as a linear combination of the mass matrix and the
stiffness matrix updated at the current step of the analysis. The coefficients of this linear
combination were defined so that an equivalent viscous damping ratio equal to 0.03 was
assigned to the first and the third modes of vibration of the system. The P-A effects were
included in the numerical analyses.

5.2. Response Parameters

To evaluate the fulfilment of the SD and NC limit states, the response of the dissipative
members (braces and braced beams) was expressed in terms of ductility demand-to-
capacity ratios. To this end, the damage index DI of the braces is defined in [19] as follows:

DI = Ha—1 ?)
ue—1

where pg and i are the ductility demand and capacity of the relevant brace, respectively.
Specifically, the ductility demand was calculated as the ratio of the sum of the absolute val-
ues of maximum elongation and shortening of the brace over the elongation corresponding
to yielding of the brace. In keeping with [19], with regard to the Near Collapse (NC) limit
state, a limit value of the DI equal to 1.0 was considered, whereas a limit value of DI equal
to 0.75 was considered to be representative of the achievement of the Significant Damage
(SD) limit state.

The damage index of the beams was calculated as the ratio of the demanded plastic
rotation to the plastic rotation capacity, defined as reported in Eurocode 8 part 3 [34].
Specifically, at the achievement of the NC limit state, for axial load ratios not higher than
0.3, the rotation capacity was equal to 8 and 3 times the chord rotation at yield (6y) for Class
1 and Class 2 cross-sections, respectively. At the achievement of the SD limit state, instead,
the rotation capacity was equal to 6 6y and 2 0y for the Class 1 and Class 2 cross-sections,
respectively.

Regarding the fragile members (beams and columns), the verifications of yielding or
instability were conducted in terms of the resistance index RI, stability index SI and lateral
torsional buckling index TI. These indexes were calculated following the prescriptions
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provided by EC3 [25] for the verification of members subjected to combined axial force and
bending moment:

N M M
+k 4k = <1
ST =max{ "bRay Y Nray T MRd ®)

N y
Np,Rd,z + kzy Mgq,y + kZZ MRd =1

N My

My
_ Np,Rrd,y + YY XrrMRd,y + kyz Mg,z =1
TI = max N M )
No o + kZ L + kZZ - S 1
Nb,Rd,z Y XurMRd,y MRq,z
M < <
Rl MRdy_l 1fN1d_0501 10)
o (1—05u) <1 if g >05a
pLRd

where Ny, rqy and Nprq,, are the buckling resistance about the strong and weak axes;
MRgq,y and Mg, are the design resistances against bending about the two abovementioned
axes; kyy, kyz, kzy and k,, are the interaction factors evaluated according to method 2 in
Annex B of EC3 [25]; and X1t is the reduction factor due to lateral torsional buckling. In
the abovementioned equations, the values of resistances were determined considering the
partial safety factors ynp and vy equalling 1.

Finally, residual drifts were determined according to the procedure reported in [35].

6. Validation of the Proposed Method
6.1. Methodology

The seismic response of the designed case studies was assessed, with reference to
the attainment of both the SD and NC limit states, by means of fragility curves. To this
end, the ag corresponding to the achievement of the relevant limit state was determined
by incremental nonlinear dynamic analysis (IDA). The IDA was run scaling the set of
10 accelerograms (already presented in Section 5.1) for increasing values of ag. For each
of the considered accelerograms, the value of the peak ground acceleration agyg corre-
sponding to the relevant limit state (LS) was determined according to two criteria: (i) the
minimum peak ground acceleration, leading to the achievement of the deformation capac-
ity of the dissipative members (i.e., DI = 1 at the NC limit state or DI = 0.75 at the SD limit
state for braces, and the plastic rotation is equal to the relevant plastic rotation capacity in
ductile beams); (ii) the minimum value of ag between those corresponding to the attainment
of the deformation capacity in the dissipative members and that corresponding to yielding
(i.e., RI =1) or to buckling (i.e., SI =1 or TI = 1) of fragile members.

The ten values of ag 1 5 corresponding to each limit state were used to build the fragility
function; i.e., the probability of exceedance of the limit state at different intensity measures
(IM). A lognormal cumulative distribution function is considered here:

P(C|IM = x) :CD(ln x/G) (11)

o

where x is the assigned value of IM (i.e., of ag) and 6 and o are the mean and standard devi-
ation of the logarithms of the peak ground accelerations corresponding to the achievement
of the considered limit state, respectively. As reported in [36], © and o are calculated as

1 n
In 6 = E 211‘1 ng,]_s,i (12)
i=1

- [l ()]

where 7 is the number of accelerograms.
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Fragility curves were finally used to evaluate the probability of exceedance of the
considered limit state for a peak ground acceleration equal to the target value; i.e., 0.15 g at
the SD limit state and 0.189 g at the NC limit state. This latter value was determined by the
following equation given in Eurocode 8 [16], assuming that the NC limit state should be
fulfilled for seismic events with a probability of exceedance Pyr equal to 5% in 50 years:

ag = 0.15g (10/Pyg)""° (14)

As an example, Figure 3 shows the fragility curves obtained for the 4-storey cases
Q1.0 and Q2.5 at the SD limit state. The red curve is obtained starting from the a4 sp values
corresponding to the achievement of the deformation capacity of the dissipative members
(first option discussed in this Section), whereas the black curve is obtained based on the
agsp values considering both ductile and fragile members (second option discussed in this
Section). With regard to system Q1.0 (Figure 3a), if only ductile members were considered,
the probability of exceedance of the SD limit state for ag = 0.15 g (see the red arrow) would
be equal to 8.1%, whereas it increases to 18.8% (see the black arrow) because of the earlier
fragile collapse of some members. Instead, regarding system Q2.5, the analysis of Figure 3b
shows that case Q2.5 is considerably oversized and the probability of exceedance of the SD
limit state for ag = 0.15 g is equal to 0% if only ductile members were considered. This is
due to the restrictive conditions introduced (1) on the size of the brace of the upper floor
due to the normalized slenderness A that has to be lower than 2.0; and (2) on the size of the
braces of the other storeys because of the limits imposed to the maximum scattering in the
distribution of the overstrength 5y /i, However, the probability of exceedance of
the SD limit state increases to 67.3% because of the fragile collapse of some members and
thus the response of this case study is deemed not adequate because the abovementioned
probability of exceedance is higher than 50%.
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Figure 3. Fragility curves at the SD limit state of a 4-storey case study: (a) Q = 1.0; (b) Q =2.5.

6.2. Response at the SD Limit State

The probabilities of exceedance of the SD limit state (i.e., for ag = 0.15 g) obtained for
all the considered case studies are represented by the histograms of Figure 4. In particular,
Figure 4a,b refer to the 4-storey and 8-storey structures, respectively. Plots in the first line
show the results related to ductile members only, while those in the second line show the
results obtained considering both the verifications of ductile and fragile members.

As a general trend, the probabilities of exceedance of the SD limit state of the consid-
ered systems determined considering only ductile members are always lower than 10%.
Thus, all the cases provide a satisfactory response. If the probability of exceedance of
the SD limit state is evaluated considering the requirements of both ductile and fragile
elements, cases k02 and k06 provide a probability of exceedance larger than 50% in the case
of 4-storey structures, whereas case Q2.5 provides no suitable performance independently
of the number of storeys of the buildings.
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Figure 4. Probability of exceedance of the SD limit state for ag = 0.15 g: (a) 4-storey structures; (b) 8-storey structures.

To investigate on this result, Figure 5 shows, for each designed structure, the per-
centage of cases in which the SD limit state is attained because of the achievement of the
capacity in a brace, a column or a beam. For a fixed case study, when the majority of
collapses are caused by failure of columns or failure of fragile beams, it means that the
considered structure has a poor dissipative capacity and is characterized by a fragile seismic
response. On the contrary, a ductile seismic response is provided by those structures that
tend to collapse mainly due to the failure of the braces.

M braces 00 beams O columns

20%
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100% 100% —+
80% 80% -+
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 40% T 40% +
20% +
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number of accelerograms
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(a) (b)

Figure 5. Percentage number of accelerograms leading to DI =0.75 in bracesor RI=1,S5I=1,TI=1
in beams and columns: (a) 4-storey structures; (b) 8-storey structures.

The figure shows that in case Q2.5, the SD limit state is always achieved because of
the fragile collapse of columns. In the case of 4-storey structures, this also occurs for cases
k02 and k06, whereas in the cases k10 to k18 the column failure occurs for about 50% of
the accelerograms. It is interesting to remark that the column cross-sections used for the
4-storey frames are the same as in the case studies k02 to k18 and that the column at the base
has a minimum overstrength. Thus, if the column cross-sections are not oversized, a braced
beam with moderate flexural stiffness and strength partially prevents column failure.

The performance of the designed case study has also been evaluated in terms of the
residual interstorey drifts. The limit value corresponding to the attainment of the SD
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limit state was equal to 0.5% h, h being the interstorey height, in accordance with the
provision given by FEMA [37]. Values of residual interstorey drifts lower than 0.5% h are
deemed acceptable and the structure is worthy to be repaired. As the interstorey height of
the building is equal to 4.0 m, the limit value of the residual interstorey drift is equal to
Adj;,, = 20.0 mm. The probabilities of exceedance of the maximum value of the residual
interstorey drifts for a peak ground acceleration equal to 0.15 g are very low for all the
considered structures and thus are not reported in any figure.

6.3. Response at the NC Limit State

Regarding the NC limit state, Figure 6 presents the probabilities of exceedance,
whereas Figure 7 shows the percentage of cases in which the limit state is attained because
of the collapse of a brace, column or beam. The figure confirms the trends highlighted for
the SD limit state for 4-storey structures.
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Figure 6. Probability of exceedance of the NC limit state for ag = 0.189 g: (a) 4-storey structures; (b)
8-storey structures.
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Figure 7. Percentage number of accelerograms leading to DI = 1.00 in bracesor RI=1,SI=1,TI=1
in beams and columns: (a) 4-storey structures; (b) 8-storey structures.

In the case of 8-storey structures, the structures designed according to the proposed
approach provide a low probability of exceedance independently of the considered value
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of k, whereas cases Q1.0, Q1.5 and Q2.5 provide a probability of exceedance close or larger
than 50%.

7. Conclusions

This paper proposes a design approach for chevron-braced frames in low seismic-
ity areas. The procedure allows yielding of the braced beams but requires a minimum
flexural stiffness of this member to avoid large inelastic deformation demands for the
brace in compression. Further, the procedure does not require the application of capacity
design rules.

Structures with a 4-storey or 8-storey standing on stiff soil were designed according to
the proposed procedure and also following the procedures stipulated in Eurocode 8 for
dissipative or non-dissipative braces. This latter procedure was applied twice, assuming a
behaviour factor equal to either 1.0 or 1.5. The application of the design procedures led to
the following conclusions:

- The structures designed according to the proposed procedure are characterized by
structural costs about 35% smaller than those of structures designed according to the
European seismic code for dissipative braces.

- The structures designed according to the proposed procedure are characterized by
structural costs similar to those obtained in the case of structures designed assuming
non-dissipative braces and a behaviour factor equal to 1.5, and smaller (about 15%)
than those obtained assuming a behaviour factor equal to 1.0.

The response of the designed structures was determined by incremental nonlinear
dynamic analysis, and the probability of exceedance of Significant Damage and Near
Collapse limit states for seismic events, with a probability of exceedance equal to 10% and
5% in 50 years, was determined and compared. The assessment of the seismic performance
led to the following conclusions:

- The structures designed according to the procedure stipulated in the European seismic
code for dissipative braces give a probability of exceedance of the considered limit
states larger than 50%.

- The structures designed according to the procedure stipulated in the European seismic
code for non-dissipative braces give a probability of exceedance of the Significant
Damage limit state smaller than 50%, independently of the building height. The same
structures give a satisfactory response at the Near Collapse limit state only for low-rise
buildings.

- The structures designed according to the proposed approach provide a satisfactory
response for all the considered cases.

The authors underline that the abovementioned conclusions were drawn for structures
standing on stiff soil and in low-seismicity areas. Indeed, all the structures were designed to
sustain a peak ground acceleration equal to 0.15 g. More analyses are required to generalize
the obtained results.
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