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Abstract: This study evaluates the progressive collapse resistance performance of steel moment
frames, individually designed with different connection details. Welded unreinforced flange-bolted
web (WUEF-B) and reduced beam section (RBS) connections are selected and applied to ordinary
moment frames designed as per the Korean Building Code (KBC) 2016. The 3-D steel frame systems
are modeled using reduced models of 1-D and 2-D elements for beams, columns, connections,
and composite slabs. Comparisons between the analyzed results of the reduced models and the
experimental results are presented to verify the applicability of the models. Nonlinear static analyses
of two prototype buildings with different connection details are conducted using the reduced models,
and an energy-based approximate analysis is used to account for the dynamic effects associated
with sudden column loss. The assessment on the structures was based on structural robustness and
sensitivity methods using the alternative path method suggested in General Services Administration
(GSA) 2003, in which column removal scenarios were performed and the bearing capacity of the
initial structure with an undamaged column was calculated under gravity loads. According to the
analytical results, the two prototype buildings satisfied the chord rotation criterion of GSA 2003.
These results were expected since the composite slabs designed to withstand more than 3.3 times the
required capacity had a significant effect on the stiffness of the entire structure. The RBS connections
were found to be 14% less sensitive to progressive collapse compared to the WUE-B ones.

Keywords: progressive collapse; abnormal loads; sudden column removal; seismic connection detail;
energy-based approximate analysis; structural robustness; structural sensitivity

1. Introduction

Building structures are designed to resist loading combinations specified in building codes.
However, in many cases, structures fail due to progressive collapse. In other words, even though
structures are properly designed to bear design loads, structural redundancy suddenly decreases
because of unexpected abnormal loads, which consequently causes the entire structures to collapse.
The following cases are representative examples of progressive collapse: the collapse of the Ronan
Point Apartment in London caused by a gas explosion, the collapse of the Alfred P. Murrah Federal
Building in the U.S. caused by a truck bomb attack, the collapse of the World Trade Center caused
by the impact of large passenger jets in the U.S., and the collapse of the Sampung Department Store
in Republic of Korea caused by the punching shear failure of a flat plate system. Based on these
catastrophic accidents, the American Society of Civil Engineers (ASCE) 7, the GSA 2003, and the U.S.
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Department of Defense (DoD) 2009 [1-3] have introduced analysis and design methods to prevent the
progressive collapse of buildings. Additionally, the British Standard (BS) 5950 [4] in the U.K. provides
guidelines to prevent disproportionate collapses by ensuring sufficient material strength of structural
members and by reinforcing ties between connections in an effort to resist such extreme loads. Even
though terror threats have been increasing around the world, many countries do not have proper
guidelines to prevent progressive collapses. For example, in Republic of Korea, the guidelines by the
Korea Ministry of Land, Infrastructure and Transport (KMLIT) [5] provide a design method that can
prevent or minimize the damage caused by terrorist attacks for large-scale and high-rise buildings.
However, this method focuses on the site and interior planning, security facilities, evacuation, and the
planning for building facilities. At the moment, there is no effective guide that prevents the collapse of
a structure due to local failure of a main structural member after a terrorist attack. Therefore, the safety
evaluation of structures under abnormal loads such as impact and blast caused by terrorist attacks is
a significant concern for residents and nations, and it is indispensable to study and propose reliable
design methods to prevent the progressive collapse of damaged buildings.

Design methods used to prevent the progressive collapse of buildings include the tie force,
alternative path (AP), and the specific local resistance (SLR) methods. The typical progressive collapse
resistance design guidelines of the GSA 2003, the DoD 2009, and the BS 5950 [2-4], commonly
recommend the AP method. It is a design method that increases the stiffness and strength of the
member and structure under the column removal scenario so that the load initially supported by
the removed column can be replaced by the adjacent member. Many researchers have applied the
AP method to assess the progressive collapse resistance performance of buildings. Marjanishvili [6]
compared the characteristics of each method presented in the guideline and emphasized that the
results of nonlinear dynamic analysis with the dynamic effect of sudden column loss and nonlinear
behavior (material nonlinearity, large deformation, etc.) of the beam and connection could be most
reliable from the standpoint of the collapse mechanism under the column removal scenario. However,
this method requires repeated analysis for each load step, and the time required for analysis is much
greater than static analysis. In nonlinear static analysis, the adopted procedure is simple, and it takes a
relatively short time for analysis compared to nonlinear dynamic analysis. However, the reliability of
the analysis is degraded considering the dynamic amplification factor due to column removal. The
disadvantages of these methods increase with the order of the element and the size of the structure.
Sadek et al. [7] and Bao et al. [8] developed the 1-D element modeling method to assess the resistance
performance against progressive collapse based on gravity load for steel and reinforced concrete
structures. In these modeling approaches, the stiffness of the panel zone with the hinge and the rigid
element were applied as the nonlinear uniaxial and shear springs, and the columns and beams with
beam elements were connected to the rigid element by constraint. In addition, Main [9] proposed
the modeling method using a composite slab with a 2-D shell element and verified the applicability
to the 2 x 2 bay floor system structure previously used by Sadek et al. [10] and Alashker et al. [11].
These methods are reliable and reduce time and data consumption in progressive collapse analyses
for the entire 3-D structure. As research for the efficient analysis and assessment of the AP method,
Izzuddin et al. [12] proposed energy-based approximate analysis with the dynamic effect of sudden
column loss using nonlinear static response. Using this analysis, Main and Liu [13] performed column
removal scenarios for steel moment frames until the initial failure of the connections to compare
the results from the dynamic and energy-based approximate analyses and to evaluate the collapse
resistance of the structure. Similarly, Bao et al. [14] analyzed the collapse resistance performance
for reinforced concrete structures and evaluated the structural robustness as the maximum residual
capacity of the structural system that can resist progressive collapse induced by sudden column loss.
Starossek and Haberland [15] analyzed the sensitivity of the structure to local failure on the basis of
energy released and required, quantification of damage progression, and system stiffness. Based on
the aforementioned studies, Noh et al. [16] evaluated sensitivity using structural robustness under
the column removal scenario for seismically designed steel moment frames. Structural sensitivity is a



Sustainability 2018, 10, 3797 3of24

relative evaluation index used for the reduction of load-bearing capacity depending on the column
removal location and for the determination of the column, which is sensitive. It is also advantageous to
determine which system is sensitive to progressive collapse in different structural systems, comparing
various structures on the basis of seismic design. Thus, structural sensitivity can be categorized into
structural systems depending on collapse resistance performance among their various structures on
the basis of seismic design and can be directly helpful for structural design. However, there was
no previous research reporting the assessment of the sensitivity of progressive collapse to different
structural systems, while Noh et al. [16] indicted that an analysis of sensitivity is required for steel
moment frames with different connection details or structural systems.

Based on these backgrounds, this study has been conducted to evaluate the resistance performance
of a steel structure, constructed using the moment frames individually designed with WUF-B and RBS
connections, in order to analyze the sensitivity for progressive collapse of different structural systems.
Herein, the evaluation method of the structures was based on the structural sensitivity proposed by
Noh et al. [16], which can be quantitatively and clearly evaluated. The steel moment frames were
seismically designed as per KBC 2016 [17]. The entire structures were modeled using reduced models
of 1-D and 2-D elements for beams, columns, connections, and composite slabs. After performing
nonlinear static analyses on these structures, progressive collapse resistance performance was evaluated
using structural robustness and sensitivity calculated from the energy-based approximate analysis
with the dynamic effect of sudden column loss.

2. Evaluation Methods for Progressive Collapse Resistance Performance

2.1. Acceptance Criteria for Progressive Collapse Resistance Performance

The guidelines of GSA 2003 and DoD 2009 [2,3] provide acceptance criteria to evaluate the failure
of key structural components in progressive collapse analysis. In linear analyses, the acceptance
criteria are based on the demand-capacity ratio for each structural member or connection in the design.
In contrast, the possibility of collapse in nonlinear analyses is evaluated by means of the chord rotation
angle 6 specified in the guidelines. Table 1 lists the acceptance criteria for the chord rotation angle
of the steel moment frames specified in GSA 2003 [2]. In the present study, the AP method was
applied to the steel moment frames individually designed with WUF-B and RBS connections and
progressive collapse resistance performance was evaluated for allowable rotation limits 6 = 0.025 rad
and 0 = 0.035 rad.

Table 1. Acceptance criteria for nonlinear analyses in accordance with GSA 2003 [2].

Component Rotation [% rad]
Steel Frames 3.5
Steel Frame Connections: Fully Restrained
Welded Beam Flange or Coverplated (all types) 2.5
Reduced Beam Section 3.5

2.2. Alternative Path Method

The AP method of GSA 2003 [2] applied in this study is divided into static and dynamic analyses;
and loading conditions are different, depending on the chosen analysis method. In static analysis, the
amplified load combination 2.0(1.0DL + 0.25LL) is applied to the tributary area of the column removal
span considering the dynamic effect of sudden column loss, and the load combination 1.0DL + 0.25LL
without the dynamic effect is applied to all other areas. In dynamic analysis, load combination
1.0DL + 0.25LL is applied to the entire floor area, but dynamic effect attributed to the sudden column
loss is considered, using the internal reaction forces of the lost column to the supported structure
(Figure 1). The column removal locations in the guideline are the exterior columns located at the
corners, and center and interior columns on the ground level of buildings. Since the most vulnerable
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column removal locations that could lead to progressive collapse are different, depending on the
plan and structure type of the building, it is noted that the removal scenarios for each of the column
locations should be performed to accurately assess collapse resistance performance.

1.0DL+0.25LL

1.0DL+D.25LL

1.0DL+D.25LL

1.0DL+0.25LL

f

Reaction

Figure 1. Dynamic analysis loading in accordance with GSA 2003 [2].

2.3. Energy-Based Approximate Analysis

Dynamic analysis representing the most realistic simulations and responses of structural behavior
is complex and time-consuming. Considering these disadvantages, Izzuddin et al. [12] proposed an
energy-based approximate analysis that can efficiently calculate the load-displacement response with
the dynamic effect of sudden column loss using nonlinear static analysis. This analysis is based on
the assumption that the predominant deformation responds in a single mode by the gravity load
applied to the structure, and this system can be considered as a single-degree-of-freedom. At dynamic
displacement § after sudden column loss, the external work Wp,,, () performed by the dynamic loads
Ppy, can be expressed as Equation (1):

1
Wy (0) = aPoysd = a{ Jmfor) + SO 0
where « is a constant that depends on the shape of the deformation mode, and m and k are the mass
and stiffness of the structure, respectively. Since the kinetic energy in the state of reaching the peak

dynamic displacement &, is zero, the external work Wpy, (J;) is equal to the internal energy U ()
absorbed by the structure, as seen in Equation (2):

L
Wpyn (8p) = aPpynéy = E“k‘SP =U(6p) (2
Assuming the same deformation mode response under the static loads, the external work Wg; (6,)

at displacement J,, can be expressed as Equation (3) and the load-displacement curve Ps; () in Figure 2
can be obtained from the nonlinear static analysis:

o 0
War(6p) = [ Por(0)dé —a [ ke ds = %ak(s; —u(s,) &)
0 0

Equating the work performed under static and dynamic loading at peak dynamic displacement
Jp allows the constant « to be eliminated, yielding the following equation:

op
Ponty = [ Psr(6) do 4)

The left-hand side of Equation (4) represents the hatched area in Figure 2 and the right-hand
side represents the shaded area. The dynamic load Pp,, is expressed as the following equation by
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dividing the peak dynamic displacement &, on both sides. Consequently, the function P = Ppy,(4)
can be obtained by using Equation (5) with varying 6,:

1 (o
Poyn = 5 | Parto) do 5)

The function P = Pgs;(¢) in Figure 2 continues to increase beyond displacement 6, corresponding
to the ultimate resistance due to the residual bearing capacity of the structural system. However, the
uncertainties of analysis in the post-ultimate response significantly increase due to accelerations and
increasing dynamic effects produced under force-controlled loading. Considering these reasons and
conservatism, the ultimate capacity Ppy;,, under sudden column loss, as shown in Equation (6), is
obtained at displacement ¢, corresponding to the ultimate static load:

PDyn,u = PDyn (5u) (6)

The progressive collapse resistance performance of the structures in this study was evaluated by
the previously described energy-based approximate analysis.

2.4. Structural Robustness of Progressive Collapse

The structural robustness of progressive collapse is a measure of the extent to which a structure
can resist collapse due to abnormal loads. To use the structural robustness as a structural performance
measure, it is necessary to satisfy usefulness and validity. Starossek & Haberland [15] presented the
general requirements for structural robustness as follows:

e  Generality for applicability to any type of structure

e  Expressiveness of all aspects of robustness with clear distinction between robust and non-robust

e  Objectivity by independence from user decision and reproducibility

e  Simplicity to gain objectivity, generality, as well as acceptance with users

e  Ability to calculate the properties and behaviors of the structure with sufficient accuracy and
without excessive effort

From this viewpoint, structural robustness should be uniquely defined so that it can be
quantitatively measured and clearly evaluated with general validity. Bao et al. [14] proposed an
index r to assess the robustness of a structure. This can be expressed as the ratio of the maximum
resistance capacity C to the required capacity D under sudden column loss, as shown in Equation
(7), where D can be defined according to an applicable code or standard. The acceptance criteria for
robustness to prevent disproportionate collapse require that * > 1, which indicates that as index r
increases, the structure becomes more robust:

=D @)

The structural sensitivity defined by Noh et al. [16], as shown in Equation (8), is a relative
evaluation index for the reduction of the load-bearing capacity depending on column removal location,
or an index for assessing the extent of safety of progressive collapse depending on column removal
scenarios in different structural systems, in terms of structural materials, connection details, etc. The
structural sensitivity index S can be evaluated as the ratio of the residual capacity (rD — D) under
gravity loading of the structure with a missing column to the value of (r,D — D) of the undamaged
structure, which can be expressed using the structural robustness index r. A valueof 0 < S < 1is
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obtained if the structure has the required capacity after sudden column removal, and the sensitivity
index S of the structure that does not satisfy the acceptance criteria for robustness has a negative value.
(rD—D) r—1

= D-D) 11 ®

Ps¢ (8)

PSt (6p) """"""""""""" !

PDyn

Uniform load intensity [P]

Vertical displacement of center column [§]
Figure 2. Concept of load-displacement responses in the energy-based analysis (Noh et al. [16]).

3. Analysis Modeling Approach

3.1. Reduced Modeling

Modeling of the entire structure is required to confirm resistance performance against progressive
collapse for the seismically designed steel moment frame. There are detailed and reduced models
for the modeling approach of composite slabs and seismic connections of beam-columns, which are
components that determine the behavior of the structure [18]. The detailed model using the 3-D solid
element can easily visually confirm the geometry, deformation, and stress distribution of the structure,
but time and data consumption for analysis is highly demanded due to the large number of elements.
In contrast, the reduced model using 1-D and 2-D elements, such as springs, beams, and shells, is easier
to model and requires less analysis time than the detailed one. However, for reliable simplification of
the 1-D and 2-D modeling, the geometric and structural behaviors of real 3-D members and connection
details should be considered using additional material parameters. For instance, there are varying
depths of concrete and steel deck in composite slab, panel zone behavior in beam-column connection,
and width of the radius-cut section in RBS connection. This section introduces the modeling approach
for the composite slab, WUEF-B, and RBS connections. Additionally, comparisons between the analysis
results of the reduced models and the experimental results were conducted to verify the applicability
of the models. Numerical analyses considering both geometrical and material nonlinearities were
performed using the finite element software ABAQUS, while the loading condition involved the
application of a concentrated static load to the prescribed location under displacement control until
failure occurred.

3.2. Reduced Modeling for Composite Slab

This study considered the modeling and analysis of the seismically designed moment frames
including the composite slab. The modeling approach of the composite slabs proposed by Main [9]
was adopted and the concrete slab on the steel deck was represented in the reduced model using
alternating strips of shell elements referred to as “strong” and “weak” strips, as illustrated in Figure 3.
The weak strips include only the concrete above the top of the steel deck, while the strong strips
include the full depth of concrete and the steel deck. The thickness of the steel deck used in the strong
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strips is calculated by considering the average width of the bottom segment of each rib. This thickness
t; can be expressed as:

tg = t'@ )

where t is the actual deck thickness, wy, is the average rib width, and wjp is the bottom segment width
of each rib. Conversely, no contribution from the steel deck is included in the weak strips.

The connection of the composite slabs and the floor beams is modeled using the rigid links and
the beam elements: the former represents a half of the depth of beams (or girders), while the latter
represents a shear stud.

Strong strip
Weak strip

Stron\g( strip Wealzstrip

(a) (b)

Figure 3. Reduced model of composite slab (Main [9]). (a) scaled thickness of steel deck; (b) reduced
model of 2 X 2 bay composite slab system.

3.3. Verification of Reduced Modeling for Composite Slab

To validate the reduced model of the composite slab, the test specimen (see Figure 4) conducted
by Kim et al. [19] was modeled based on finite element model (FEM) and the experimental data, and
simulated results were compared. The composite slab was modelled using four-node quadrilateral
shell elements with reduced integration (S4R) and the wire mesh was considered using a rebar option
from the ABAQUS library. C21 concrete with a compressive strength of 21 MPa, SD400 reinforcing
bars with a yield strength of 400 MPa, and a QL600 steel deck with a minimum specified yield strength
of 205 MPa were used for material properties. The concrete material model used in the analysis was
concrete damage plasticity in ABAQUS, which could provide an effective method for modeling the
concrete behavior in tension and compression. This study employed the stress-strain relationship
proposed by Hognestad [20] in compression and Mondal and Prakash [21] in tension, as shown in
Figure 5a. An elastic perfectly-plastic material was used for the steel deck and rebar with an identical
behavior in tension and compression (see Figure 5b). The roller and pin supports for the composite
slab were placed at a distance of 100 mm away from the span ends. The two-point displacement load
was applied, and the vertical deflection at the mid-span was measured. Figure 6 shows a comparison
of the vertical load-displacement curves obtained from the FEM and the tests. The analytical and
experimental results were in good agreement with each other for the ultimate load, initial stiffness,
and elicited behavior, but the descending branch was not developed in the large-deformation behavior
of the analysis model after reaching the ultimate load. To improve this result, the concrete tension
stiffening model, which decreases linearly to reach zero stress at a strain of 0.0035 in the softening
behavior (Figure 6b), was applied to this analysis. As a result, the curve computed from the reduced
model is generally in good agreement with the experimental one. The initial tensile cracks of the
concrete occurred at the lower surface of the loading location under P = 11.04 kN (Figure 7a), followed
by the yielding of the steel deck of the strong strip when the vertical load reached P = 37.05 kN
(Figure 7b).
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lp/z lp/z
100 700 ) 1,600 ‘ 700 100 {
L) T T 1
. 3,200 ‘ P2
T 1

(b)

Figure 4. Composite slab test under two-point concentrated loading (Kim et al. [18]). (a) schematic of
test setup; (b) ABAQUS-model of composite slab.

Stress g, o, £ e\’
c Ze o <_) — (_) Stress o
) —— fe Ec 3 Wire mesh
¢ : Owirey |77
: Deck
o =fi- 6(350%)) Odecky |--=--
A % i
:
001 0 | ;
| fe & = 2fe/Ee Eeu Strain €
Strain €
(a) (b)

Figure 5. Stress-strain relationship for concrete, steel deck, and wire mesh. (a) concrete; (b) steel deck
and wire mesh.

40 - Yielding of deck

35t -7 N o
— ' £ -
Z 30 | d t
4 / N e m ==~ Initial tension stiffening model
o5 T o e e —— .
5]
S 20 2 o N
— 4 Modified tension stiffening model
<
g 15t &
3] Test Result of Kim et al.
> 10 e . — * = Initial reduced model

Initial tensile cracks .
5 of concrete - = —= Modified reduced model
0 ' ' ' ' ' o] & =f/Ec 0.0035 0.01
0 10 20 30 40 50 .
Strain €

Vertical displacement [mm]

(@) (b)

Figure 6. Comparison of results from the test and analysis of the composite slab. (a) vertical load-
displacement curves; (b) applied tension stiffening models.



Sustainability 2018, 10, 3797 9 of 24

Initial tensile | Yielding of
i : cracks of concrete |- steel deck

(b)

Figure 7. Stress contour results from the analysis of the composite slab. (a) axial stress of concrete
under P = 11.04 kN; (b) von Mises stress of steel deck under P = 37.05 kN.

3.4. Reduced Modeling for WUF-B and RBS Connection

In this study, the prequalified connection details of WUF-B and RBS specified in FEMA 350 [22]
and AISC 341 [23] for use in ordinary moment frames were selected to compare the structural sensitivity
of different structural systems for the steel structure. In FEMA 355F [24], there is also the reduced model
proposed by Krawinkler [25] (Krawinkler model) as a representative analytical model to simulate the
non-linear behavior of the beam-column connections, as shown in Figure 8. This model developed
to resist lateral forces due to earthquake loads is most commonly used in seismic-related analytical
research studies. Furthermore, it is also extensively used in analytical studies for progressive collapse
based on gravity loads. It holds the full dimension of the panel zone with rigid links and controls
the deformation of the panel zone using two rotational springs and hinges. The yielding and plastic
properties of the panel zone are calculated as follows:

M, F,

kg = @ where : My = 0-55Fydctpzdb/ 9y = R (10)
3bcft?f

M, = 055F,dctpody |1+ ——L |, 6, = 49 (11)
dbdctpz

where d. is the column depth, d}, is the beam depth, ff is the column flange thickness, b, is the column
flange width, and ¢, is the panel zone thickness.

Column

Momen:I releases
s

Rigid link
Rigid
link

Rotational panel Beam
db Rigid zone spring

link \/
e Rigid link

J
Momentl releases 7

| dc |
| |

Figure 8. Reduced model proposed by Krawinkler [25].

As depicted in Figure 9, Sadek et al. [7] (Sadek model) developed the various reduced models
with WUEF-B and RBS connections suitable for progressive collapse analyses based on gravity loads.
Compared with the Krawinkler model, this WUF-B reduced model (Figure 9a) further considers the
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upper and lower flanges and shear tap components whereby the panel zone behavior is defined as a
uniaxial spring element determined by the section properties as follows:

2
G(dc - tcf)tpz . (dc - tcf>
kpz = where : cos“ 6 = > 5 (12)
(db - tbf) cos? 6 (dc — tcf) + (db — tbf)
 0.6Fdcty, [ 3bestyy
fpz = cos 6 ll * dpdctp; (13)

where G is the shear modulus of steel and ;¢ is the beam flange thickness.

Column Column
o v Momentf releases Beam o Momentf releases
9/'/ Rigid link flange Rigid 94/ Rigid link
%, link %,
% %
% "
& r \ %,
4. [Rigid %,  Rigid|Shear Beam 4| [Risid &%,  Rigid Beam
bl 11ink @/e link | tab bl 1 link Y, link Reduced
& . & section
0% Nonlinear @%
%, blot spring: %,
& .
Rigid link Beam Vertical and Rigid link
- horizontal shear X
~ Momentl releases flange MomenlI releases
—" | — |
(a) (b)

Figure 9. Reduced models developed by Sadek et al. [7]. (a) WUF-B model; (b) RBS model.

Sadek et al. [7] used the bolt spring connection based on the test results of the shear tab and beam
web. However, in this study, the biaxial spring model was employed with the vertical and horizontal
axes proposed by Main and Sadek [26]. Zero-length spring elements were used to model the shear
behavior of the bolts, and each bolt spring was defined as an element with properties based on the
axial load-deformation relationship. Figure 10 shows a typical shear load-deformation relationship
and the parameters for bolt springs, which exhibit a steeper drop in resistance after the ultimate load
is reached in both tension and compression. The yield and ultimate capacities of each spring, i.e.,
ty (: cy) and t, (= cy), are calculated using equations listed in the AISC 360 [27], and the deformation
at the ultimate load ¢, is obtained as 6, = yax Vmax, Where 0y,4y is the plastic rotation capacity and
Ymax is the distance from the center of the bolt group to the most distant bolt. Failure deformation
is applied as 1.156, referring to Main and Sadek [26] in order to consider the rapid drop after the
ultimate load.
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Figure 10. Shear load-deformation relationship and parameters for bolt spring (Main and Sadek [26]).

The initial stiffness of a spring kj; can be estimated using Equation (14) in the FEMA 355D [28]
based on the linear regression of rotational stiffness data from seismic testing.

S

kps = 7 where : k = 124550 (dbg - 142) (14)
where « is the initial rotational stiffness of a shear tab, dy, = s(N — 1) is the depth of the bolt group, s
is the vertical spacing between bolts, N is the number of bolts, and y; is the vertical distance of the ith
bolt row from the center of the bolt group.

The RBS model is the same as the modeling approach used for the panel zone of WUF-B
and the rigid links connect the end of the beam elements along the girder centerline, as shown
in Figure 9b. In this study, the equivalent effective width model proposed by Lee [29] in Figure 11
was employed to consider the radius-cut section that led to the plastic hinge of the beam. This model
was verified using 3-D finite element analyses for RBS specimens subjected to cyclic loads. It can
be applied to the Krawinkler model because it considers only the radius-cut section of the beam.
Additionally, it is assumed that the initial elongation equals the elongation of the section replaced
with the equivalent constant width of the radius-cut section, and the equivalent effective width b, is
derived as Equation (15).

/ 4c? + b?
/ Column R=Radius of cut= <
face / 8¢
\ ] C

beq :1}71# —-2c
= ~ c

a b

Reduced beam
section

Figure 11. Geometries and parameters of radius-cut RBS (Lee [29]).

beq—Xlwhere:Xl—b[?—(q—i—b)],XZ—(Ll’_zcz_b)xtan1 b (15)

X2 2 bhf—ZC bbf—2c
A/ R 2R/ —x

where 7 is the horizontal distance from the face of column flange to the start of the RBS cut, b is the
length of an RBS cut, ¢ is the depth of the RBS cut at the center of the reduced beam section, R is the
radius of the RBS cut, L is the length of the beam, and by is the beam flange width.



Sustainability 2018, 10, 3797 12 of 24

3.5. Verification of Reduced Modeling for WUF-B and RBS Connection

To verify the reduced models for WUF-B and RBS connections, the test specimen in Figure 12
was modeled using ABAQUS, as shown in Figure 13. These physical tests were carried out by
Sadek et al. [7] to investigate the response of steel beam-column assemblies with moment resisting
connections under the monotonic loading conditions expected in the column removal scenarios. The
sizes of the specimens were two spans with a length of 6.10 m and columns with a height of 3.66 m,
and two diagonal braces for each column were rigidly constrained to the top of the column and the
strong floor of the test facility. Diagonal braces were installed to simulate the lateral restraint effect
provided by the continuous upper-floor framing system of the multistory building. Displacement
transducers and load cells were used to measure the displacement and vertical load applied by the
hydraulic actuator with a capacity of 2700 kN and a stroke length of 500 mm at the center column
of the test specimens. The strain gauges were attached to calculate the axial forces developed at the
midspan of the beams, columns, and diagonal braces during the test. In the analysis model based
on the test specimens, the shear tab, flange, beam, and column consisted of a two-node linear beam
element (B31), and rigid links of the panel zones were assigned to the discrete rigid element (RB3D2).
The CONNECTOR option in ABAQUS were used to model the panel zone spring, bolt spring, and
diagonal braces installed for the lateral support of the upper column. The ASTM A992 structural
steel with a yield strength of 344.8 MPa was used in all beams, columns, and doubler plates in the
panel zones. The ASTM A36 steel with a yield strength of 248.2 MPa was used for the shear tabs and
continuity plates at beam-column connections. The ASTM A490 high strength bolts were used for the
bolted moment connections. Figure 14 shows the nonlinear panel zone spring properties for each test
specimen calculated on the basis of the reduced modeling approaches described in Section 3.4. Using
Equation (15), the equivalent effective width b, of the RBS specimen was calculated to be equal to
147 mm and the finite element analysis was performed under displacement-controlled loading of the
unsupported center column.
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0.931{ 051m| —
N . 3 A490 H.S.B. of
W21x73 (] °/|  D=0.0254m
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= 2N ES = ° [>A36PL
2.17 % N\ © t=0.0lmm
— N\ —
= =
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' 0.15m educed
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. P 610 3 A490 H.SB. of
- Bl | m - D=0.0254m
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1.05m| 1\ 0 93mT /=
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Figure 12. Resistance performance test of steel moment connections proposed and conducted by

Sadek et al. [7]. (a) test setup for WUEF-B connection; (b) WUF-B connection details; (c) test setup for
RBS connection; (d) RBS connection details.
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Figure 13. ABAQUS modeling for tests with steel beam-column assemblies. (a) WUF-B specimen using
Krawinkler model; (b) WUEF-B specimen using Sadek model; (¢) RBS specimen using Sadek model.
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Figure 14. Nonlinear panel zone spring and bolt spring properties. (a) panel zone spring behavior
for Krawinkler model; (b) panel zone spring behavior for Sadek model; (c) bolt spring behavior for
Sadek model.

Figure 15 represents a comparison between the numerical results from the FEM and experimental
results from the WUF-B and RBS specimens. Compared to the experimental results, the Krawinkler
model curves show that the yielding loads increased by 45% and 31% in the load-displacement curves,
respectively, and that the development of catenary action in the beams is quite different from the
experimental and Sadek model results. In contrast, the Sadek model curves indicate good agreement
with the experimental load-displacement and catenary action curves. Figures 16 and 17 show the
failure mode of test specimens and the deformation of the WUE-B and RBS test specimens under failure
load, respectively. In the experiment, the dominant deformation of the WUF-B test specimen occurred
at the flanges near the weld access hole of the beam, and the failure was characterized by the fracture of
the bottom flange near the center column. In the case of the RBS test specimen, dominant deformation
occurred at the reduced section of the beam and panel zone, and the failure was characterized by the
fracture of the bottom flange in the reduced section of the connection near the center column. The
observed behaviors of tests described previously are fairly well described by Sadek models, but are
completely different to those by the Krawinkler models. This indicates that the Krawinkler model is
not appropriate for the progressive collapse analysis based on gravity loads. Therefore, this study
employs the Sadek model to accurately assess collapse resistance performance.
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Figure 15. Results from test and analysis of WUF-B and RBS specimens. (a) vertical load-displacement
curves for WUF-B specimen; (b) beam axial force-displacement curves for WUF-B specimen;
(c) vertical load-displacement curves for RBS specimen; (d) beam axial force-displacement curves
for RBS specimen.

(b)

Figure 16. Failure mode of test specimens conducted by Sadek et al. [7]. (a) WUF-B specimen;
(b) RBS specimen.

(b)

Figure 17. Cont.



Sustainability 2018, 10, 3797 15 of 24

(c) (d)

Figure 17. Deformations of WUF-B and RBS test specimens under failure load. (a) Krawinkler model
for WUEF-B specimen; (b) Sadek model for WUF-B specimen; (c) Krawinkler model for RBS specimen;
(d) Sadek model for RBS specimen.

4. Evaluation of Progressive Collapse Resistance Performance of Selected Structure

4.1. Description of Prototype Building Design

To evaluate the structural sensitivity proposed by Noh et al. [16] for 3-D steel moment frames
with different seismic connections, a prototype building was designed. Considering the guidelines
by the KMLIT [5], the steel structure was assumed to be used as office space with a total floor area
that exceeded 20,000 m?2, as shown in Table 2. As a result, the building had seven stories and plan
dimensions of 40 x 72 m with 5 x 8 bay, as shown in Figure 18. Using the design loads based on
the KBC 2016 [17], the structural members were designed as per KSSDC 2016 [30]. The building
was assumed to be in Seismic Design Category D, and the lateral loads were resisted by seismically
designed ordinary moment frames (OMFs) located at the exterior of the building. All interior frames
were designed to support gravity loads only. In the design of the prototype building, S5400 structural
steel with a yield strength of 235 MPa was used in all the beams and girders, whereas SM490 steel
with a yield strength of 325 MPa was used in all the columns. Table 3 shows the member sizes of the
moment resisting frames, while the gravity loads considered in the design are listed in Table 4.

Table 2. Prototype building information.

Region Seoul, Korea
Sum of floor area 20,160 m?
Scale of structure 7 stories
Seismic design category D
Type of frame Steel ordinary moment frames
Seismic connection type WUEF-B or RBS
A B C D E F G H 1
1 i G1 '\” GL g G1 .\" Gl \ Gl \ Gl 4y, Gl ., G1 i .

GI Gl ‘ Gl | | ‘ o ST
A =

J— \ ] g

| | | 1 & ©

3-F - do .. o 4 do H H do T o ®

Colymn remjoval Colymn remjoval | o 2 gl 2

at s ort sﬂZ‘of ﬁ at inferior of] plan | © 9 S8
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4 H——H—% y——T1 |8 o

| o

- —I — || :
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U‘ at corner of lan wa| at Tong 51de f plan”| 1
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(a) (b)

Figure 18. Overview of structure model (Noh et al. [16]). (a) plan of prototype structure;
(b) ABAQUS-model of analyzed structure.
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Table 3. Member sizes of moment resisting frames.

Member Floor and Section Member Floor and Section

1-3F H594 x302x14/23 1-3F H912x302x18/34

Girder G1 4-6F H594x302x14/23  Girder G2 4-6F H700x300x13/24
7F H244x175x7/11 7F H400x200x8/13

1-3F H596x199x10/15 1-3F H582x300x12/17

Girder G3 4-6F H596x199x10/15  Girder G4 4-6F H582x300x12/17
7F H496 x199x9/14 7F H496x199x9/14

. | 1-3F H428 <407 x20/35 . | 1-3F H428 <407 x20/35
Xiema 4-6F H406 x 403 % 16/24 “tlema 4-6F H300x305%15/15
cotumn 7F H300x300x10/15 cotumn 7F H200x200x8/12

Table 4. Applied gravity load.

Type Dead Load Live Load
Floor [kN/m?] 4.0 25
Roof [kN/m?] 2.0 1.0

4.2. Design of Composite Slab and Shear Stud Anchor

The composite slab of the prototype building was designed using the material properties of
the test specimen in Section 3.3. Considering bearing capacity and serviceability, the thickness of
the topping concrete and steel deck was determined to be 100 mm and 1.2 mm, respectively. The
designed strength of the composite slab was more than 3.3 times the required strength to satisfy the
acceptance criteria for natural frequency considering noise and vibration in the serviceability check.
The shear strength of the stud anchor connecting the beam flange to the steel deck was calculated
using Equation (16) in the KBC 2016 [17].

(DmﬂX)push = 0.50As4/ fekEc, Ec = 5050/ fox (16)

Shear stud anchors with a diameter of 19 mm were used to develop a full composite action
between the steel beams and the concrete slab. Considering the nominal shear strength of the shear
stud and the requirements in the standard, the arrangement of the stud anchor was equally spaced
every 900 mm in the beam at the long side of the plan and every 800 mm in the beam at the short side
of the plan, as shown in Figure 19. The physical test for the progressive collapse of the composite slab
was conducted by Astaneh-Asl et al. [31], who reported that the stud anchor hardly deformed at large
displacements under the monotonic loading conditions. Additionally, Kim et al. [32] used the spot
welding option in ABAQUS to model stud anchors in an analytical study of the progressive collapse
resistance of the 2 x 2 bay subassembly frames. Based on these studies, the present study employed
the spot welding option to model stud anchors.

Short side
direction

Stud distance”
800mm

‘Stud distance

Long side 900mm

direction

Figure 19. Arrangement of shear stud anchors.
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4.3. Design and Modeling of RBS Connections

The WUF-B connection is prequalified by FEMA 350 and AISC 341 [22,23] for use only in ordinary
moment frames and provides a fully rigid interconnection between the beam and column. In contrast,
the RBS connection is applicable to ordinary, intermediate, and special moment frames because of
its excellent ductility. AISC 358 [33] provides the requirements and dimensions (2 = (0.50 ~ 0.75)by,
b= (0.65 ~ 0.85)dy, and ¢ < 0.25by) for the radius-cut section of the RBS connection to induce plastic
hinges in the beam and to limit the moment and inelastic deformation developed at the face of the
column. The RBS connections of the moment frames in the prototype building were designed as per
AISC 358 [33] and were modeled using the reduced modeling approaches explained in Section 3.4.
Equivalent effective widths b,; and dimensions of the RBS connections for moment resisting frames
are listed in Table 5. Figure 20 depicts an example of the RBS connection for G1 at 1-3F.

Table 5. Equivalent effective widths and dimensions of RBS connections for moment resisting frames.

Member Floor a [mm] b [mm] ¢ [mm] beq [mm]
1-3F 155 390 70 197
Girder G1 4-6F 155 390 70 197
7F 90 159 43 108
1-3F 155 600 75 191
Girder G2 4-6F 180 460 75 188
7F 120 280 50 125
2 + bZ
R=Radius of cut= =307mm
% e — 0
? I Lc mm
beq 4 by >
=197mm ? =302mm N
% — = Tc=70mm

‘a=155m1‘n b=390mm ‘
[ [ |

Figure 20. Example of RBS connection for G1 at 1-3F.

4.4. Energy-Based Approximate Analysis Based on Nonlinear Static Analysis

Uniformly distributed loading of the gravity load combination A(1.0DL + 0.25LL) was applied to
the entire floor slab of the prototype buildings, individually designed with WUE-B and RBS connections.
With the use of a force-controlled pushdown approach, the load factor A was gradually increased until
failure occurred. The column removal scenarios were performed for each column location specified
in the GSA 2003 [2], as shown in Figure 18a. Figure 21 shows the load factor-vertical displacement
curves at the removed column location. Failure of the structure was determined by the divergence
in numerical analysis due to instability of the structure after successive yielding of the beam-column
connections or the beam members adjacent to the removed column at all the levels. The yielding of
the 1-D element was evaluated using the von Mises stress in the finite element program used in this
study. Herein, the von Mises stress was obtained from the maximum bending stress and axial stress
calculated through corresponding section forces (M, N).
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Figure 21. Load factor-vertical displacement from nonlinear static analyses for column removal
scenario. (a) elicited response for the building with WUF-B connections; (b) corresponding response
for the building with RBS connections.

In the column removal scenario, the maximum and minimum failure load factors of the building
with WUEF-B connections were Agq = 4.15 and Agq = 3.20 for the case where columns A6 and
E4 were removed, respectively, and the corresponding displacements were 644 = 108.74 mm and
0g4 = 90.07 mm, as shown in Figure 21a. In all the scenarios, the flange yielding was observed for all
the WUF-B connections located at the exterior of the roof floor level (Figure 22b). It was confirmed that
the yielding of the flange preferentially occurred since the design redundancy of the beam members
in the roof floor level was smaller than that of floors 1 through 6, as listed in Table 6. When columns
A4, A6, and E6 were removed, plastic hinges increased due to the yielding of the WUF-B connections
from the lower to the upper floor level until the failure load factor was reached. Correspondingly, the
analysis was terminated due to the instability of the whole structure (Figure 22a). In the case of the
removal of the column E4, the analysis was terminated since the structure was unstable because of the
successive yielding of the beam members adjacent to the removed column at all the levels.

Yielding of
H WUFEF-B connections

(b)

Figure 22. Elicited results from the building with WUF-B connections in accordance to the removal

scenario of column A6. (a) deformation of structure for A = 4.15; (b) von Mises stress for first yielding
of the WUF-B connection at the roof floor.

Table 6. Design redundancy of girder members.

Floor Redundancy
Floors 1-3 1.283
Floors 4-6 1.425
Roof Floor 1.131

The load-displacement curves and failure modes for the column removal scenario of the building
with the RBS connections in Figures 21b and 23a were almost similar to the results of the WUF-B
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connections, and the yielding of the moment resisting frames located at the exterior of the roof floor
level was observed. However, the maximum failure load factor was verified in the case of the removal
of the column A4, while the yielding of the moment frames occurred within the reduced section of the
RBS connections (Figure 23b). In the column removal scenario, the maximum and minimum failure
load factors of the building with the RBS connection after the removal of columns A4 and E4 were
Aaq =5.36 and Aps = 3.86, respectively, and the corresponding displacements were 644 = 64.20 mm
and Jg4 = 137.94 mm. These results show that the load factor and vertical displacement increased by
20~58% and 53~211%, respectively, compared with the results of the WUF-B connections.

F Yielding of

E RBS connections

@) (b)

Figure 23. Elicited results from the building with RBS connections in accordance to the removal
scenario of column A4. (a) deformation of structure for A = 5.36; (b) von Mises stress for first yielding
of the RBS connection at the roof floor.

Figure 24 shows the load factor-vertical displacement curves after the application of the
energy-based approximate analysis introduced in Section 2.3 to the nonlinear static analysis results
in Figure 21. These results, accounting for the dynamic effects associated with sudden column loss,
can be used to evaluate the progressive collapse resistance performance using the load combination
of the dynamic analysis. Table 7 shows the vertical displacements and the chord rotation under the
load combination 1.0DL + 0.25LL specified in GSA 2003 [2]. The maximum vertical displacement
dcsa =40 mm of the two buildings was obtained from the elicited results of the removal scenario
of column E4, while chord rotation was calculated to be equal to 0.0050 rad. These results showed
that the chord rotation of these connections were within the range of 14~20% of the limit values
(WUF-B =0.025 rad and RBS = 0.035 rad) specified in GSA 2003 [2] and that the two buildings
individually designed with different connections satisfied all of the collapse resistance performance
criteria. It is evident that the composite slabs designed to have more than 3.3 times the required
capacity improved the stiffness of the entire structure and induced very small bay deflection at the
removed column. Therefore, it appears that the structures designed in this study will hardly fail due
to progressive collapse.

31 Smaxoyn = 108.74m 45 Smaxpyn = 337.85m

WA=263, \ ata=4.14—
T2 = 35 | Smaxpyn = 6420mm N\=G1cc = 280.00m
‘8 o= 27 70mm 6mnx,l){nlf 17(;-328mm Smaxpyn = 90.07mm % . S ata=322 atA=392
& 2 pren at=l LA & 3 / Smaxoyn = 135.54mm
] el at1=274
© . 25
S 15 * § N\ Bax,oyn = 137.94mm
£ g 2 / ati=244
J
\§ 1 e  First yielding of girder é‘ 5L/ ®  First yielding of girder
k= — - Removal of column A4 E g — - Removal of column A4
=) 05 Removal of column /?6 5 1 F- /—,— —————————— TOPL0.351L Removal of column /§6
o, AT e Removal of column E4 05 /r{'. wwe+ Removal of column E4
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Figure 24. Load factor-vertical displacement for column removal scenario using energy-based
approximate analysis. (a) building with WUF-B connection; (b) building with RBS connection.
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Table 7. Vertical displacement and chord rotation under the combination load of 1.0DL + 0.25LL.

Building with WUEF-B Connections Building with RBS Connections

Removed Column

Vertical Displacement Vertical Displacement

Rotation [% rad] Rotation [% rad]

[mm] [mm]
A4 14.59 0.0018 13.88 0.0017
A6 32.61 0.0041 38.58 0.0048
E4 39.92 0.0050 39.97 0.0050
E6 34.07 0.0038 34.43 0.0038

5. Evaluation of Structural Robustness and Sensitivity for Progressive Collapse

For the two buildings considered previously, the structural robustness for progressive collapse
was evaluated using Equation (7) in Section 2.4. This study was based on the evaluation criteria for
the WUEF-B and RBS connections in GSA 2003 [2]. Therefore, required capacity D was defined as the
load combination G, = 1.0DL + 0.25LL that satisfies the maximum chord rotation, i.e., 0,,5¢ < Gcc-
Correspondingly, the maximum resistance C of the two buildings was defined as the maximum
dynamic load Pp,, , that satisfies the maximum chord rotation, i.e., Oyax < 8acc. As shown in Table 8,
from the analytical results of Section 4, in the column removal scenario of building with the WUF-B
connections, since the maximum chord rotations do not exceed the limit chord rotation of 0.025 rad up
to the point where the failure load factor is reached, the structural robustness r based on Equation (17)
is determined by the failure load factor ry;r—p = 1.78, corresponding to the removal of column A4. In
the case of the building with the RBS connections, the failure load factor was calculated as rgps = 3.92
and decreased by 5.31% due to the maximum chord rotation that exceeded the allowable chord rotation
limit of 0.035 rad. However, this value is 61% larger than the failure load factor estimated in the
scenario of the sudden loss of column E4. Thus, the structural robustness is rggg = 2.44.

e minPpyy

= D = TODLT0250L — min(Amax for all column removal cases) (17)

Table 8. Maximum chord rotation for Ppy, ;-

Building with WUF-B Connections Building with RBS Connections
Load Factor A;ux Rotation [% rad] Load Factor A4y Rotation [% rad]

Removed Column

A4 1.78 0.0035 3.22 0.0080
A6 2.63 0.0136 4.14 (3.92) 0.0422 (0.0350)
E4 1.89 0.0113 244 0.0172
E6 1.93 0.0078 274 0.0151

Figure 25 shows the comparison of the load factor and chord rotation relations in terms of
structural robustness of the two buildings. The GSA 2003 [2] acceptance criterion indicates that the
building with a smaller chord rotation has reliable collapse resistance. The building with the WUF-B
connections was calculated to have a 59% smaller chord rotation than the other structure under a
combination load of 1.0DL + 0.25LL. This was because the WUE-B connections without defects of
beams improved the stiffness of the structure in comparison with the RBS connections, resulting
in a relatively small deformation. With regard to structural robustness, the building with the RBS
connections was superior to the other building by 37% better performance than the counterpart.
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Figure 25. Comparison of load factor and chord rotation relations in terms of structural robustness of
the two buildings.

The structural sensitivity S for the column removal scenario of the two buildings was evaluated
based on Equation (8). The robustness index r, of the initial structure with an undamaged column was
calculated by applying the nonlinear static analysis introduced previously. Correspondingly, all the
seismically designed connections yielded in the roof floor, and the analysis was terminated due to the
instability of the structure (Figure 26). The maximum failure load factor obtained from the analysis
was 7, wur—g = 5.15 for the building with the WUF-B connections and r, rps = 5.34 for the building
with the RBS connections.

Yielding of

WUEF-B connections Yielding of

\H' - RBS connections

(a) (b)

Figure 26. Failure mode of the initial structure. (a) building with WUE-B connection; (b) building with
RBS connection.

Consequently, the sensitivity index S of the two buildings estimated using the above results are
presented in Table 9. For the abnormal loads specified in GSA 2003 [2], the building with the RBS
connections was most sensitive to the removal of column E4, and corresponded to 33% of the initial
bearing capacity. However, when column A4 was removed, the bearing capacity of the building with
the WUE-B connections was reduced to 19% of the initial capacity. This is the most sensitive case in
comparison with all the other cases. Therefore, the reduced bearing capacity of the building with the
WUE-B connections was 14% higher than that of the building with the RBS connections, and it was
thus considered to be a relatively more sensitive structure for progressive collapse.

Table 9. Evaluation of structural sensitivity.

Sensitivity Index S

Removed Column

Building with WUEF-B Connections Building with RBS Connections
A4 0.19 0.51
A6 0.39 0.72
E4 0.21 0.33

E6 0.22 0.40
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6. Conclusions

This study evaluated the progressive collapse resistance performance of steel moment frame
systems under column loss scenarios. For reliability, convenience, and efficiency of modeling and
analysis, the reduced models consisted of 1-D and 2-D elements and the energy-based approximate
analysis with dynamic effects were used. Based on these approaches, the structural robustness and
sensitivity for progressive collapse was evaluated in column removal scenarios.

The comparison between the numerical results of the reduced models and the experimental
results indicated that the computational models of the composite slab and the seismically designed
connections employed in this study were suitable for the progressive collapse analysis. Additionally,
they indicated that the Krawinkler model typically used in seismic research does not properly simulate
the elicited behavior against gravity load. The progressive collapse resistance performance for the
column removal scenario of the steel moment frames individually designed with the WUF-B and the
RBS connections satisfied all the criteria specified in GSA 2003 [2]. These results were because the
composite slabs designed to have more than 3.3 times the required capacity improved the stiffness
of the entire structure. In the case of the building with the WUF-B connections, the reduction of the
bearing capacity under the loss of a column at the short side of the plan was largest, but the structure
was able to resist loads that were equal to 1.8 times the gravity load specified in the guide. Furthermore,
the building with the RBS connections elicited the greatest reduction of bearing capacity when the
interior column was removed, but it yielded a 14% higher bearing capacity than the building with the
WUEF-B connections and was considered to be less sensitive for progressive collapse. The results of this
study indicated that the RBS connections showed better resistance performance against progressive
collapse compared to the WUF-B connections, since the prototype structure was designed using a
general steel structural plan and employed different connection details based on the standard.

In this study, the sensitivity for progressive collapse under sudden loss of a column was evaluated
for seismically designed steel ordinary moment frames. Future research will focus on the analysis and
comparison of the structural sensitivity of steel moment frames individually designed with different
structural systems (e.g., intermediate moment frames and special moment frames) and of structures
with multiple columns removed based on the guide.
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